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CHAPTER 1. INTRODUCTION

The construction of the Saylorville Dam and Reservoir on the
Des Moines River created an ideal opportunity to study bridge behavior.
Due to the dam and reservoir constructipn; six highway bridges
crossing the river were scheduled for rémoval. Five of these are old
pin-connected, high-truss, single-lane bridges and are typical of
many built around the turn of the century throughouﬁ Iowa and the country.
Only limited information on their design and construction is available
because these bridges were buillt cirea 1900. Because there is an
increasing need to determine the strength énd behavior characteristics
of all bridges, the removal of these five was invaluable by allowing
the study of bridge behavior through teéting actual prétotype bridges
rather than physical or mathematical models. The purpose of this
testing program was to relate design and rating procedures presently
used in bridge design to the observed field behavior of this type of
truss bridge.

A study to determine the feasibility of performing these load testé
was conducted several years ago by Iowa State Universityl. Included in
the study findings was a recommendation that a broad range of programs
be conducted on several of the truss bridges involved in the removal
program. The first truss bridge to be replaced, the Hubby Bridge, was
available for testing in June 1974. A research program was developed
and undertaken by Iowa State University to conduct a number of the

recommended tests. Previous report82’3

detailed the research and
findings of the first phase of the program which covered the ultimate
load behavior of the high truss bridge and the second phase of the

program which covered the service load testing of the Hubby Bridge



and the Chestnut Ford Bridge. The tests on the Chestnut Ford Bridge
were performed while the bridge was still open to traffiec. Also
included in the study were several supplemental programs, including
the fatigue and static testing of bars obtained from both of the
above mentioned bridges. This report is a summary réport on the
entire project and includes an outline of the results of the program

and recommendations for implementation of the findings.

Objectivés

Specifications and manuals adopted by the American Association of
State Highway and Transportation Officials (AASHT0)4’5 contain criteria
used in the design and rating of highway bridges in the United States.
These criteria are based on rational structural analysis, actual
experimental investigations; and engineering judgment. These criteria
also attempt to take into account actual bridge behavior to assure
safe and serviceable structures. However, as a result of the
catastrophic collapse of several old bridges in the last 10 years,
conéiderable interest has heen generated in determining the actual
load—-carrying capacity of bridges. The load capacity of newer
bridges can generally be obtained from existing plans and specifications
that can be supplemented by field examinations and, if necessary,
actual field tests. However, for the old pin-connected, high~truss
bridges, there are generally no techmical data available. There
is also a complete lack of field load test data at service load
levels or at ultimate load capacity. The general objective of the

program was to provide data on the behavior of this bridge type in



the service load range and up to ultimate capacity, as well as data

on the remaining fatigue life of the tension members in the truss.
As engineers undertake the analysis and rating of these bridges,

many questions arige, These include the condition of the joints,

the strength of the eyes (including forgings) in the tension bars, and

the behavior of the floorbéams and deck. The results reported here

are limited to the two bridges tested, but the results should nevertheless

provide an indication of possible answers to the questions posed above.
The specific objectives of this load test program were:

1. Relate appropriaté AASHTO criteria to the actual bridge
behavior as determined from tests on the available truss

bridges.

2. Determine an estimate of the remaining fatigue life of the

bridge components.

3. Determine the effect of repairs on the remaining fatigue

life of the bridge components.
The results of the research will provide a better understanding of
the actual strength of the hundreds of old high-truss bridges existing

throughout Iowa as well as the country as a whole,

General Test Program

The first phase of the test program consisted of ultimate load
testing of one span of the Hubby Bridge in Boone County, ultimate load
testing of two I~shaped floorbeams of the bridge, and ultimate load
testing of two panels of its timber deck., The truss span was tested in

'

an "as is'" condition with loads simulating actual truck loading. After

initial failure the truss was damaged and retested in this condition.



The floorbeams were tested with loads to simulate an axle loading. One
of the floorbeams had some initial crookedness, while the other was
essentially straight. The loads were applied using hydraulic jacks

and dead weights in both the truss test and the floorbeam tests. One
of the timber deck tests was performed with loads simulaﬁing a truck
centered on the deck panel and the other with loads placed three ft.
off center to simulate a truck on the edge of the deck panel.

The second phase of the test program consisted of field service
load testing of the west two spans of the Hubby Bridge and of the
west span of the Chestnut Ford Bridge in Dallas County. The tests
were conducted using loaded county g?avel trucks to simulate a
standard H truck loading. The trucks were driven along the center-
line and zlong the edges of the roadway of each bridge;

In additdion, dgring the removal of the two btidges, a number of
tension eyebars were salvaged for use in a supplementary fatigue
testing program. The laboratory tests that were conducted comnsisted
of fatlgue testing 23 eyebars in their original condition and 9
eyebars after they had been damaged and then subsequently repaired.
Static tests were conducted on 19 eyebars in their original condition
and on three eyebars that had been purposefully damaged in the
laboratory and then subsequently repaired. Three different fypes of
damage and repair were.used which simulated the possible types of

damage in the forgings and in the eyes of the bars.



CHAPTER 2. THE TEST BRIDGES

The highway bridges selected for testing were located on the
Des Moines River northwest of Des Moines, Iowa, in an area which will
be included in the Saylorville Reservoir. One of the high truss
bridges selected was the Hubby Bridge built in 1909 (Figs. 1 and 2),
located in southern Boone County about 25 m:‘i.lé.s northwest of Des Moines.
It was composed of four modified Parker type high-truss simple-spans,
each 165 ft. long.

The other bridge selected was the Chestnut Ford Bridge (Figs. 1
and 2}, leocated in northern Dallas County about 20 miles northwest of
Des Moines and five miles south of the Hubby Bridge. This bridge was
built circa 1900 and was composed of four high-truss simple-spans. |
The first, third and fourth spans, from east to west, were modified
Pratt-type trusses each 150 £t. long, and the second span was a Pratt

truss 180 ft. long. Testing was conducted in the fourth, or west, span.

Truss Descriptions

A. Hubby Bridge

The trusses consisted of tension eyebars of both square and ree-
tangular cross sections, built-up laced chamnels for the end posts and
upper chord compression members, and laced channels for the other
compression members. The square tension eyebars were used for truss
hangers and diagonals and the rectangular temsion eyebars were used
for the truss lower chords and diagonals. The eyes for these two types

of eyebars were formed by bending a bar around to form a tear-drop



shaped eye. This tear—shaped eye was then forged to a bar to form
one end of the eyebar.

The deck was built of timber stringers, timber crossbeams, and
timber flcor planks. The stringers stood 6n edge and were supported
by rolied I-shaped floorbeams. A typical deck panel consisted of
15 stringers, 8 crossbeams, and 16 floor planks as shown in Fig, 3.
The floorbeams were standard I-sections 12 in. deep and were

connected to the truss with clip angles.

B. Chestnut Ford Bridze

The test truss consisted of tension eyebars of circular, square,
or rectangular cross section for tension members, of built-up laced
channels for end posts and upper chord compression members and of
laced channels for the remaining compression members. ﬁﬁe inch square
tension eyebars were used for the truss hangers. Rectangular tension
eyebars were used for the truss lower chords and for some of the
diagonals with round bars being used for the other truss diagonals.
The eyes for the square, round and the smaller rectangular eyebars
were formed by bending the end of the bar around to form a tear—shaped
eye and then forging it to the continuing bar. The eyes for the larger
tension eyebars were machined from a piate to forimt a round-shaped
eye and then forged to the bar.

The deck was built of timber stringers and timber floor planks.
The stringers stood on edge with their longest dimension parallel
to the length of the bridge and were supported by rolled I~shaped
floorbeams. The cross floor planks were laminated togerher with

bolts and were spiked to the stringers every two ft, A typical



panel consisted of 13 stringers with the continuous floor planking

as shown in Fig. 4.

Physical Properties

Chemical analysis and physical property tests were made of several
sections from each of the bridges. The results of the anélySES and
tests are shown in Table 1. The tension eye-bars were determined
to be made of wrought iron and the other members of steel, The timber
members in the Hubby Bridge were made from Douglas Fir and pressure-
treated in accordance with Iowa State Highway Commission Standards.
Typical stress—strain curves for the wrought iron and steel and the
load deflection curve for the timber beams can be found iIn the interim

reportsz’B.

Table 1. Physical properties.

a. Cheﬁical Properties

Hubby Bridge Chestout Ford Bridge

Element Percentage in Percentage Percentage in

Wrought Iron in Steel Wrought Iron
Carbon <0.03 0.19 <0.3
Manganese <0.05 0.40 0.25
Phosphorus 0.29 0.012 0.130
Sulfur 0.042 0.029 0.036
Nickel <0.05 <0.05 <0.05
Chromium <0.05 <0.05 <0.05
Molybdenum <0.03 <0.03 <0.03
Copper <0.03 0.03 0.08
Aluminum 0.03 - ——
Vanadium <0.01 e i e
Silicon 0.22 <0.05 0.12

Cobalt 0.02 e S—



Table 1 continued.

b. Material Properties

Bridge Material cy(ksi) Uult(kSi) E(ksdi)
Wrought Iron 35.5 49,1 28,000
Hubby Steel 42.0 58.7 30,900
Timber —— 4.02 1,150
Chestnut Wrought Iron 34.9 48,6 25,300
Ford Steel ———— v e s




CHAPTER 3. FIELD TESTS AND TEST PROCEDURE

This section summarizes the specific tests and events which
occurred during the conduct of the field tests. ZFach testing‘program
(i.e., timber deck test, truss test, floorbeam test, and service
load tests) will be discussed separately. In this section, only the
occurfences will be discussed, and the analysis of the behavior will

be presented in Chapter 5.

Field Tests — Ultimate

The test procedure for each test was to’
1. Apply the first load increment,

2. Hold the load until the appropriate instrumentation

readings could be taken,
3. Record any behavioral indicatioms,
4. Increase the load by the pre-established increment, and

5. Repeat steps 2~4 until failure occurs.

Timber Deck Test

The timber deck in two different panels on span 2 was the first
part of the Hubby Bridge to be tested. F¥ach of the panels was
tested to failure using a simulated axle load applied by hydraulic
jacks. |

The first test was conducted on the panel between L8 and L9
with the loads centered on the panel as shown in Figs. 5 and 6.

The second test was conducted on the panel between L, and L, with

2 3

the loads eccentrically placed so that the center of the axle was
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three ft. from the center of the panel {edge wheel two ft. from edge
of the roadway) as shown in Figs. 7 and 8. The tests were conducted
using a self-contained system with the Iloorbeams acting as reactions.
Instrumentation on the‘timber deck tests was limited to deflection
dials placed across the panel mid-span between panél points. Six
deflection dials were used in the first deck test, while seven were
used in the second test,

The load histories of each of the two tests are given in Figs. 9
and 10. They show dramatically the effect of stringer failure as
the load increased. The maximum load was 101.5 kips for the centered

loading pattern and 77.4 kips for the edge loading pattern.

Truss Test

The second part of the Hubby Bridge to be tested was the trusses
of span 2. The test was performed using simulated axle load applied
at joints L& and L5 in the ratio of.l to 4, with the greater load
being applied at L5. This ratio was used because it represented the
relationship between the axles on an AABHTO H truck.

The loads were applied using hydraulic jacks connected to large
concrete mats acting as dead‘weights, The weights of these mats
ranged from 34 kips to 112 kips. Soil was piled on top of the mats
to increase their weight. Two of these mats, cast under sﬁan 2, were
used for the truss test. The other two, uander span 1, were used fox
the subsequent floorbeam tests. One inch'diameter rods were aﬁtached
to the mats using concrete inserts and a system of structural tubes.
The hydraulic jacks were connected to the rods through a similar system

of structural tubes so the loads could be applied to the truss.
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Sketches of the loading system are shown in Figs. 11 and 12. The
instrumentation on the truss tests consisted mainly of strain gages
on the truss members.

The truss tests proceeded as planned up to a total load of 80 kips.
While proceeding to a load of 90 kips the observation was made that
yielding was taking place in one of the hangers at L5 on the downstreamn
side, The yielding made it extremely difficult to hold and increase
loads. During the load increment to 110 kips, there was considerable
yvielding at L5. At a total load of 110 kips, a snapping sound was
heard, and the load dropped several kips; however, no visible sign
of failure was evident. Loading proceeded Wifh the same difficulty
to a load of 130 kips. At this load the flaking of the rust on the
hangers at L5 (upstream side) was very noticeable.

At a total load of 133 kips (106.4 kips at LS and 26.6 kips at
LA)’ one of the hangers at LS (upstream side) failed. The location of
the failure and a close-up of the fracture are shown in Figs. 13 and
14. Subsequent reloading to 140 kips resulted in only increased
truss distortion.

It was decided that further testing of the trusses would not
provide additional meaningful information. The decision was then
made to pursue the objectives of the second truss test by "damaging"
one of the key members and reloading. To simulate th; damage, mewmber
LZUZ was cut with an acetyleme torch. This member was damaged because
it is representative of laced channel compression members.

Initial instrumentation readings were taken and reloading at only
L4 began. The load was increased to 70 kips with sets of instrumentation
readings taken at periodic intervals. After a load of 70 kips was

reached without any signs of additional distress, the decision was
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made to cut the other channel comprising member, L2U? to obtain a failure
of the truss. The load was again applied at L4 with the load reaching
39 kips before the member collapsed upon itself (forming a complete

but shorter member) at the cut location (Fig. 15). This resulted in

a slight drop in load. The load was then increased to 72 kips with

no further distress of the truss. The load was removed and all

testing terminated because of potential danger of collapse during

any additional member damage.

Floorbeam Test

The final portion of the ultimate test program was the testing
of two floorbeams in span 1. They were both tested to failure using
a load applied by hydraulic jacks and simulating a truck axle. The
first test was conducted on the floorbeam at Lg. The compression
flange of this floorbeam was approximately 13/16 in. out of line
horizontally at mid-span. The second test was conducted on the
floorbeam at LA' The compression flange of this beam was initially
straight (within allowable tolerances). The test setup and load
placement on the floorbeam are shown in Figs. 16 and 17. As can be
seen from these two figures, each floorbeam was loaded using a system
similar to that employed for the truss test.

Instrumentation consisted of strain gages on the two floorbeams
tested, as well as on the adjacent floorbeams., Strain gages were
also placed on selected truss members. Deflection dials were used
to measure the displacement of the test beams at the centerline and

quarter points.
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The first test was conducted on floorbeam 5. The load was first
applied in increments of 10 kips, but as the loading progressed to
higher levels the load increment was reduced to 5 kips until failure
was reached. The test on floorbeam 5 prdceeded as planned up to a
load of 40 kips. At this load the floorbeam had started to buckle
laterally between load points as well as to pull away from the timber
stringers. As the ioad reached 45 kips the floorbeam continued to
buckle laterally and pull éway from the stringers. The load was then
inereased to 50 kips, at which point the latéral deflection due to
buckling was approximately one inch beyond the initial crookedness
of the floorbeam at its centerline és shown in Fig. 18, Termination
of the test occurred at this point because the floorbeam was unable
to sustain any further increase in load.

" The test of floorbeam 4 (initially straight) proceeded without
any lateral distortion or excessive end distress up to a load to
50 kips. At this load, the observation was made that the plate
connecting the floorbeam to the truss was bent considerably. Loading
continued up to 65 kips. After reaching this load, three bolts broke
on the upstream end connection of the floorbeam to the truss. The
load then dropped to 61 kips. At this time the floorbeam was approximately
3/8 in. out of line at its centerline. The floorbeam had buckled
laterally only between the load points, indicating that the load
points provided adequate lateral bracing. The floorbeam was then
reloaded to 66 kips, when four bolts broke on the upstream connection
of the floorbem to the truss, causing the load to drop to 54 kips.
Further attempts to increase the load above 55 kips failed and the test

was terminated due to extensive lateral buckling of the beam.
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Service Load Tests

Service load tests were performed on the two west spans of the
Hubby Bridge in Boone County and con the west span of the Chestnut
Ford Bridge in Dallas County. The tests were accomplished using
loaded gravel trucks supplied by Boone County and Dallas County. The
trucks were weighed using portable scales before each test by a State
Weight Officer. The weights of the trucks for each test are given

in Table 2,

Table 2. Wheel loadings of trucks.

Front (1bs) Rear (1bs)
Test Left  Right Left Right Total (1bs)
Hubby Bridge ~ Span 1 3790 3780 10290 11010 28870
Hubby Bridge ~ Span 2 4120 3820 12500 11250 31690
Chestnut Ford 3850 3690 10260 11520 29320

The procedures used for each of the tests were the same, but the
instrumentation varied. The testing procedure for each test was:

1. Take an initial reading on all instrumentation with the
truck completely off the bridge,

2. Move the truck to the first desired position on the bridge,

3. Stop the truck there while readings are taken on the

instrumentation,
4. Move the truck to the next desired position,

5. Repeat steps 3-4 until all desired readings have been taken,

and then

6. Move the truck completely off the bridge and take a final

reading of the instrumentation.
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The ingtrumentation for Hubby Bridge span 1 consisted of 108
strain gages and five deflection dials. The deflection dials were
located at the centerline, quarter points, and near the ends of the
floorbeams at LS' 0f the 108 strain gages, 76 were‘mounted on selected
truss members and 32 were mounted on floorbeams 3, 4, 5, and 6.

The strain gages on the floorbeams were mounted on the compression
and tension flanges of the floorbeams. They were located at the
centerline, third points, and also near the ends of the floorbeams
4 and 5 and at the centerline and near the ends of floorbeams 3 and
6. The truck was driven down the centerline of the bridge first,
stopping with its rear wheels in line with the panel points. The
truck was then driven down each side, with the center of the wheels
approximately two ft. from the edge of the roadway, stopping only
at L3, LA’ L5, and L6'

The instrumentation for the Hubby Bridge span 2 test consisted
of 116 strain gages and 6 deflection dials. Eight gagés were mounted
on the compression and tension flanges at the centerline of the floor-

beams at L LS’ and L9 and the remaining 108 were mounted

2 b3
on the truss members.

The truck was driven down the centerline of the bridge first,
stopping with its rear wheels in line with the panel points. The
truck was then driven down each side stopping only at LS and halfway
between L2 and L3.

The instrumentation for the Chestnut Ford Bridge consisted of 15
strain gages mounted on the north truss of the west span. The strain
gages were mounted on tension members only. The truck was driven

down the centerline of the bridge and then down one side of the bridge

stopping at each panel point.
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After this part of the test was completed the truck was locaﬁed on
the bridge with its rear wheels halfway between panel points. Deflection
measurements of the deck were taken while the truck was at the center of
the bridge roadway and at eccentric positions on the left and right sides

of the bridge roadway.
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CHAPTER 4. TABORATORY TESTS AND TEST PROCEDURE

The service load field tests were completed in September 1974
and the bridges were removed in Japuary 1975, The contract for the
salvage of the bridges stated that the east'span of the Bubby Bridge
and the west span of the Chestnut Ford Bridge were to be removed as
if they were to be recomstructed. Over 100 eyebars from these spans
were shipped to the laboratory.

This section cutlines tests that were performed in the

laboratory.

Fatigue Tests

The main thrust of the laboratory testing program was the fatigue
testing of 30 eyebars. The fatigue tests were accomplished using a
special apparatus design so that loads could be applied to the
eyebars through pins placed in the eyes (Fig. 21). The pins
used were actual pins taken from the test bridges. The pin used in
the eye of an eyebar was not necessarily the one that was originally
in that particular eye, but it was nevertheless a pin of the same
size. The eyebars were inspected for dimensions, flaws, and peculiarities
before they were tested.

The cyclie loads that were imposed on the eyebars varied from
a minimum of two ksi to a maximum of 16-22 ksi. All of the fatigue
tests were run with a cyelic frequency of three to four hertsz.

Some of the tests were performed on undamaged bars and some of
the tests were performed on bars that had been purposefully damaged
in the laboratory and then repaired. Three types of damage and fepair

were investigated:
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1. The first type of damage simulated a fracture inlthe forging
area near a turnbuckle. Two eyebars were cut at a forging near a
turnbuckle and were then welded back together. Two pileces of cold-
rolled bar stock of the same dimensions as the eyebar were spliced
onto thé eyebar over the fracture. The splices extended for at

least two ft. in each direction from the fracture,

2. The second type of damage simulated a fracture in the neck
of an eye. Four bars were cut in the neck of an eye‘and were then
welded back together. Pieces of cold-rolled bar‘stock were spliced
on over the fracture. The splices extended as far into the eye as

possible and at least two ft. along the bar past the fracture.

3. The third type of damage simulated a fracture in the eye.
In this case, the eye was cut off completely and a new eye was formed
out of cold-rolled bar stock. The eye was formed by heating the bar
stock cherry red and bending it into a tear-shape. This new eye

was then welded onto the original bar.

Statig Tests

The second part of the laboratory testing program consisted of
the static testing of speciﬁens taken from 22 eyebars. The specimens
weré cut from the ends of the eyebars and conéistéd of the eye plus
three ft. of the bar, except for three specimens which included only
a turnbuckle section. Nineteen specimens were tested in the original

condition and three specimens were tested after being repaired.
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CHAPTER 5. TEST RESULTS AND ANALYSIS

In Chapters 3 and 4 a summary of the test program and the actual
events which occurred during the conduct of the test were indicated,
In subsequent paragraphs in this chapter the results of the test
and an analysis of their significance will be presented.. FEach test

program will be discussed separately.

Timber Deck Test

The ultimate load and equivalent H truck for each of the tests
are shown in Table 3. The equivalent H truck for the deck tests was
determined by placing the equivalent rear axle of the truck at mid-span
of the deck panel. The total ultimate load for deck test 1 (load
centered on roadway) was 101.5 kips and for deck test 2 (load placed
eccentrically) it was 77.4 kips, It should be noted that although
the loads were applied transversely at six-foot centers (wheel track
spacing), there were two equal loads spaced longitudinally at the
third-points. These loads, however, can be related to other behavior
by determining the equivalent AASHIO truck. For deck test 1 (centered
load) failure occurred at an equivalent H 42 truck and for test 2
(eccentric load) at a H 32 truck.

The.primary‘behavioral indicator for the deck tests was the
deflection readings taken across the width of the panel at mid-span
of the panel. The load-deflection curves of the two deck tests at
various points transversely across the section are shown in Figs., 22
and 23. These curves, along with the ultimate load data, indicate

the behavior of the deck throughout the test to failure.



20

Table 3. Ultimate loads.

Test Ult. Load (kips) Equiv. H Truck?

Timber Deck

Centered load 101.5 H 42
Edge load 7.4 H 32
Truss b
General loading 140 H 70
Initial failure 133 —
Maxinum load at L4 78.5 ————
Floorbeam
At L4 66.0 H 40
At Ls 50.0 H 30

#3tandard AASHTO H Truck providing the same total static moment as
provided by the ultimate load

bH 66.5 at initial fracture of L5M5

The behavior of deck test 1 was typical of that expected. The
load deflection curves for that test (Fig. 22) indicate that the
behavior of the deck up to a total load of 60 kips (H 25 truck) was
linear. Beyond 60 kips the influence of stringers breaking can easily
be seen in Fig. 22.

The deflection readings in Fig. 22 can be combined to form a
deflection cross section at various load levels (Fig. 24). This
figure gives an indication of the distribution of the load to each of
the stringers. From these deflections, the amount of load distributed
to each of the stringers can be calculated. The figuve shows that
the greatest part of the load is being carried by the stringers around
and between the load points. It also indicates that the deflection
increases linearly until the first stringer fails.

The percentage of the total load carried by the most heavily

loaded styinger can then be compared to the distyibution as determined
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from the AASHTO Specificationsz. The AASHTO distribution is given

as 5/4 wheels in Sec. 1.3.1, where § is the average striﬁger spacing

in feet. For deck testl, the percentage of the total load distributed
in the most heavily loaded stringer is, according to the Specifications,
14 percent.

Table & shows the experimental percentage of the load distributed
to the most heavily loaded stringer and the equivalent distribution
factor at loads below the load which caused the first stringer to
fail, It can be seen that the load distribution characteristics remain
the same in this case (up to stringer cracking).

Table 4. Experimental percentage of the load distributed to the most

heavily loaded stringer and the equivalent distribution
factor for deck test 1.

Load Fquivalent Distribution Percentage of the Load Distributed to
(kips) Factor? The Most Heavily Loaded Stringer

10 5.33b 10.5

20 5.49 10.2

30 - 5.38 10.4

40 5.49 1G.2

50 5.49 10.2

60 5.54 10.1

ZAASHTO = 4 from $/4 (Article 1.3.1)°

quuivalent Distribution Factor = (14/10.5)4 = 5.33

Table 4 shows that the experimental percentages of the load
distributed to the most heavily loaded stringer are less than predicted
from the AASHTO Specifications. Although this leading represents

the usual load case (centered loading), it should be noted that the
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eccentric leoading (truck near roadway edge) case is more critical
and will result in the edge stringers recelving more load. The
Specifications cover the most critical case, and thus 1t would be
expected that the centered load (deck test 1) would be conservative.

The theoretical capacity of the deck for deck test 1 was
determined, using data from tests of stringers removed from the bridge,
to be 104.7 kips. Thus, the actual capacity of the deck (101.5 kips)
is very close to the theoretical capacity.

The behavior of deck test 2 (eccentric loading) was also typical
af that expected. The load-deflection curves for that test (Fig. 23)
indicate that the behavior of the deck was linear up to a total load
of 40 kips (H 17 truck). The behavier of the deck shown by Figs. 23a and
23b is not really indicative of behavior of the entire deck because these
two deflection dials were near the edge of the panel opposite the
loading. This portion of the deck underwent only uplift and very
small deflections.

The deflection rgadings in Pig. 23 are combined in the same manner
as Fig. 22 to form a deflection cross section at various loads (Fig. 25).
Figure 25 gives an indication of the distribution of the load to each
of the stringers. This figure also indicates that the major portiom
of the load is being carried by the stringers on the loaded side of
the panel and that the deflection increases linearly up to a total
load of 40 kips., |

As in deck test 1, the percentage of the total load carried by
the meost heavily loaded stringer can be compared to the distribution
as determined by the Specificationsze For deck test 2 the percentage

of the total load distributed to the most heavily loaded stringer is
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about 15 percent at the equivalent of an H 15 truck. Table 5

shows the experimental percentage of the lcad distributed to the most
heavily loaded stringer at loads below the load which caused the
first stringer to fail.

Table 5. Experimental percentage of the load distributed to the most

heavily loaded stringer and the equivalent distribution
factor for deck test 2.

Load Equivalent Distribution  Percentage of the Load Distrvibuted to
(kips) Factor® The Most Heavily Loaded Stringer

10 A.OOb ' 13.7

20 3.69 14.9

30 3.48 15,8

40 3.62 15.2

BAASHTO = 4 from S/4 (Article 1.3.1)°

quuivalent Distribution Factor = (13.7/13.7)4 = 4.00

Table 5 indicates that the experimental percentages of the
load distributed to the most heavily loaded stringer are equal to
or slightly greater than those predicted by the AASHTO Specificatiansz
{13.7 percent). It would be expected that the critiecal stringer (at edge)
would carry a higher percentage of the load for this more severe
eccentric case than in the centered case (test 1).

Table 5 also indicates that the distribution did change slightly
as the load increased. This could be attributed to a very high
moment gradient in the weaker transverse planking, which is the major

distributing agent.
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The theoretical capacity of the deck.fof deck test 2 was
determined to be 78.5 kips. This.is extremely close to the detual
capacity of the deck (77.4 kips).

The results from both deck tests indicate a high degree of
validity for both the distribution proce&ure indicated by AASHTOZ
and the calculations for deck capacity. It should be noted; however,
that the timber deck used in the bridgé goﬁsiétéd of heavy tfansverse
planks to assist distribution. Distribution characteristias could
vary significantly for other deck typeé. Tﬁﬁs, although there is a
good comparison iIn this case, there is a possihilitﬁ of need for

consideration of various deck configurations in distributioam

determination.

Truss Test

The initial fallure of the truss teok place at a load of 133 kips.
This failure was the breaking of one of the hangers which made up

member LM The applied loading was 106 kips and 27 kips at Ly and

5°
L&’ respectively. Additional load was applied'in an éttempt to

cause additional memﬁers to fail. A 1argé diétortion of the lower
chord of the truss near the load at Lg occurred under this higher

loading without any failure. The maximum load under this general

loading was 140 kips; 112 kips at L. and 28 kips at LA' The. maximum

5
vertical deflection at Lg at this time was 15 in.

After adjustment of the leoading system, all load was applied
at L4 with the maximum load being 78.5 kips. The test program then
included damaging a member. After member L2U2 was cut completely
through, a load of 39 kips produced a failure of the truss. This
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resulted in a vertical displacement of the member at the cut
location,

The behavioral indicators for the truss test were the deflection
readings at mid-span and at the three—tenths points and the forces
in the truss members as computed from the strain gage readings taken
during the test. The experimental strains were converted to stresses
assuming that both the wrought iron and steel were elastic-perfectly
plastic materials. The materials were assumed elastic up to the
vield strain computed from appropriate values of yield stress and
modulus of elasticity in Table 1 and assuming neo increase in stress
beyond the yield strain. The areés of each individual member were
used to convert the stresses to forces in the individual members.
Figure 26, the theoretical and experimental load-deflection curves
for the vertical deflection at mid-span, indicates that yielding
began to occur in member LSMS at a total load of approximately B0
kips. The curve was relatively linear at loads less than 80 kips
and above 80 kips the slope of the curve decreases indicating yielding
of member LSMS, The theoretical and expevimental load~deflection
curves for the vertical deflection at L3 and L7 also indicate no
vielding or nonlinearity up to the maximum load at which readings
were taken.

Figure 27, the totél load-force in truss member LSMS curve,
indicates, for this truss, approximately the same behavior as the
total load-vertical deflection curve at L5 (Fig. 26). Curves that

illustrate total load-force in other truss members alsc indicate linear

behavior up to the maximum load at which readings were taken.
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The theoretical forces used in Figs. 26 and 27 were obtained
from a structural analysis of the truss assuming that all of the
members were held together by pins at the joints. Most of the
experimental forces determined from strain gage readings agree quite
closely with the theoretical forces determined from analysis. Some
of the experimental data for the vertical members is erratic or
differs considerably in magnitude from the theoretical curve, but
the slope of the curve is very similar to that of the theoretical
curve. This behavior is due to the "frozen' condition of the truss
joints resulting from the rusted members and pins.

Thus, although the actual conditions in the joints are unknown,
considering the truss to be pin—connected does provide a realistic
method of truss analysis for these old bridges. The tremendous
flexibility of the members that allows accommodation of.any joint
restraint contributes to this conclusion.

The capacity of the hangers at Lg as calculated using data
from coupon tests was 110 kips., This was just a few kips greater
than the load that actually caused the fracture of one of these
hangers. The actual stress at fracture was 47.4 kips/square in,

t

This indicates that the "lap," near where the fracture occurred,
was about 97 percent effective. An examination of the fracture
(Fig. 14) indicates also that only a very small portion of the section
was not fused. The current practice is to assume the "lap” only

40 percent effective, which is much lower than the actual capacity

of the member.
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Floorbeam Test

The maximum load applied to the floorbeam at L, was 66.0 kips,
The compression flange of this floorbeam was originally straight
(within allowable tolerances). The maximum load applied to the
floorbeam at LS was only 50.0 kips, but this flioorbeam had an
initial crookedness of approximately 13/16 in.

The primary behavioral indicators for the floorbeam tests
were the vertical deflections of the floorbeam along its length and
the moments oﬁ the floorbeam as computed from étraiu gage data.

The load-deflectlon curves for the floorbeam test at L4 are
shown in Fig. 28 and indicate that a departure from linearity occurs
at a load of about 40 kips (H 24 truck). At this same load the
observation was made that the floorbeam was beginming to buckle
laterally. This indicates that the natural dapping of the stringers
provides sufficient lateral support of the floorbeam up to about 60
percent of the ultimate load. Beyond 60 percent of the ultimate load
the floorbeam buckled laterally betweén the load points and deflected
away from the stringers between the load points because there was
no positive tie between the stringers and the floo?beam,

The load-deflection curves for the floorbeam test at L are
shown in Fig. 29 and indicate a departure from linearity at a load
of about 35 kips (H Zl_truck). At about that load the observation
was made that the floorbeam was beginning.to buckle laterally. This
departure from linearity thus gave an indication of the initiation
of lateral buckling in the floorbeam and again shows that the natural

dapping of the stringers provides sufficient lateral support of the
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flogrbeam up to about 70 percent of the ultimate load. Beyond

70 percent of the ultimate load the floorbeam buckled laterally
between the load points due to the lack of a positive tie betwéen
the stringers and the floorbeam.

The theoretical capacity of the floorbeam (initially straight)
was calculated at 62.4 kips. This was based on the assumption that
the load was uniformly distributed to the floorbeam and that the
ends were partially fixed. This agrees quite closely with the actual
capacity of the floorbeam (65 kips) that was initially straight (within
allowable tolerances). The theoretical capacity of the floorbeam
(initially crooked) will be somewhat less than that of the initially
straight floorbeam. Thus, the actual capacity of the initially
crocked floorbeam will agree quite closely with its theoretical
capacity.

The final configuration of each of the floorbeams was evidenced
by a large amount of lateral buckling of the floorbeam, as was
anticipated. The compression flanges of each floorbeam were tilted
and severely deformed (Fig. 18). The floorbeam had also pulled

away from the timber stringers above it.

Rating

One of the significant portions of this study was the rating of
the test span (span 2) and the comparison of that rating with the
actual capacity.

The field inspection used as the basis for the rating calculations
was made by the Maintenance Department of the Iowa State Highway

Commission. This information was forwarded to the agencies cooperating
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.
in this phase of the study. These agencies were the }.S. Army ~ Corps
of Engineers, the Highway Division, Iowa Dept. of Transportatiom and
Towa State University. Using this data as a base, each agency computed
the rating of the bridge using the AASETO Maintenance ManualS,
Ratings were requested for each of the three separate portions
of the truss tested, i.e., the deck, the floorbeams, and the trusses.

The results of the ratings are shown in Table 6.

Ratings were requested for each of the three separate portions
of the truss tested, i.e., the deck, the floorbeams, and the trusses.

The results of the ratings are shown in Table 6.

Table 6. Bridge ratings {(operating).

Ape Test
Bridge gency Capacity
Portion 1 9 3 (Table 2)
Deck H 13.1 H 8.2 H 9.4 H 32
Floorbeam B 2.4 H 7.4 i 6.7 H 30
Truss B 11.4 H12.7 H 11.9 H 66.5°

aDid not congider beam laterally supported

bInitial fracture of L5M5

It can be seen that the ratings are quite consistent for the truss.
However, there is a wvariation in the ratings for the floor system. In
the case of the floorbeams, the assumptions related to lateral support
of the compression flange are critical. Table 6 shows the effect of
this assumption in the rating of the floorbeanm.

Also shown in Table 6 are the capacities as determined from

the field tests. It can be seen that the critical member as determined
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by the ratings (floorbeam) is also the critical member as found from
the tests.

The relationship of the ratings_at operating levels to the
ultimate capacity range from ratings of only seven percent of ultimate
capacity for the floorbeam (assuming no lateral support) to about
40 percent for the deck. Except for the one floorbeam rating, the
ratings are about 25 percent of capacity. However, it should be
noted that the Manuals used for rating indicates a yield point of
30 ksi for steel made at the time of construction of the Hubby
Bridge, whereas the actual yield strength of the steel and wrought
iron was 42 ksi and 35 ksi, respectively. Since the ratings do
consider dynamic effects and minimum material properties and are
at the higher level (operating), the ratings appéar to be quite
conservative.

The results do, however, emphasize the need to accurately
determine the real lateral support conditions for the beam, the
realistic load distribution in the deck, and the éctual material
properties. Although, in this case, there were no positive supports,

the natural dapping of the stringers did provide this lateral support.

Service Load Tests — Trusses

Figures 30-32 illustrate typical experimental and theoretical
influence lines obtained from the results of the service load tests
for truss members of the Hubby Bridge and Chestnut Ford Bridge.

The experimental influence lines were found by calculating the
forces in the bar using the strain measurements that were recorded for

each position of the truck. The theoretical influence lines were
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determined by placing a theoretical tyuck of the same configuration
as the experimental truck (Figs. 19 and 20), at each panel point
and calculating the resultant barrforce using determinate analysis.
Fach of the graphs shows the theoretical influence line for the member
as a golid line. In the testing of the two spans of the Hubby
Bridge, both the north and the south truss were instrumeanted. The
experimental influence lines for both trusses are shown as broken
lines. Only the influence lines for a truck on the centerline of
the bridge are shown. In the testing of the one span of the
Chestnut Ford Bridge only the north truss was ingtrumented. The
experimental influence lines are shown as broken lines.

The resulteg showed that in most cases for the Hubby Bridge and
in all cases for the Chestnut Ford Bridge, the experimental results
agree closely with the theoretical values. The general shape of the
experimental influence line is the same as the shape of the
theoretical influence line although the magnitude of the experimental
values is less than the magnitude of the theoretical values. This
difference is due in part to the partial continuity of the deck
which was not taken into account in the theoretical analysis, the
condition of the joints, as well as problems in the instrumentation.

In the service load tests of both spans of the Hubby Bridge the multiple~
chamnel data acquisition system was not available due to technical
problems and, thus, the strain measurements were taken using older equip-
ment. This vequired a longer time period and meant that variances in the
power line voltage to the strain indicators, Indicator drift, and the changing
temperature in the bridge members occurred. These changes had an indeterminable

effect on the strain measurements and resulted in unusual behavior in

several members.
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In addition to the recording of member strains during the service
load testing of the Hubby Bridge, truss deflections were also recorded. The
experimental deflections were measured during the test with the truck at each
panel point. The theoretical deflections were determined from an analysis
of the truss treated as an ideal pin-connected trruss. It was found that the
experimental deflections are much lower than the theoretical deflections.
This is due to the partial continuity of the deck, which was not taken into
account in the theoretical analysis, and the frozen conditions of many of the
pin—connections,

Thus it appears that the analysis of a pin-connected truss, even
though the condition 'of the pins is unknown, as a simple determinate
truss will provide a conservative indication of the bar forces and truss
deflections. Similar results were found during the static ultimate load
rests conducted on the Hubby Bridge and reported in the first interim

report.

Service Load Tests — Floorbeams and Timber Deck
Figure 33 shows the experimental moment diagram for the floorbeams

37 Lg» LS, and L6 compared with the theoretical moment diagrams with

at L
the truck placed on the centerline and edges of the bridge. The experi-
mental moments were determinéd from strain gages mounted on the floor-
beams. The experimental moments fall between the theoretical values

for fixed ends and pinned ends. The experimental moment diagrams for the
floorbeams at L3 and L5 tend to agree more clogely with the theoretical

fixed end moments, while the experimental moment diagrams for the

floorbeams at L4 and L. tend to agree more closely with the theoretical

6

fixed end moments, This shows the difference in stiffness of the two
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different types of joints. These results agree with the results reported
in the first interim report.2 The results here also show the excellent
distribution properties of the deck.

For the deck sections, the experimental deflections of the stringers
were compared with the theoretical deflections obtained assuming the
stringers to be fixed or pinned at the far ends. In all of the cases
the experimental deflections were close to the theoretical values for
stringers with pinned ends, however, when the gross deflections are
large, as in the case with the truck on the edge, the experimental
values move away from the values for the theoretical pinned—end
condition and toward the theoretical values for tﬁe fixed end assumption.
This shows that when the deflections of the deck become large the
load distribution characteristics improve due to the improved effects
of the layered deck.

The load distribution characteristics of the bridge deck can be
found approximately by using the deflection readings taken during the
service load testing. The AASHTO specifications for load distribution
states that the load to be taken by each stringer is found using the
equation S/D where S ie the stringer spacing for the deck in feet and
D is given as 4 for the Hubby Bridge deck and 4.5 for the Chestnut
Ford Bridge deck.

Table 7 lists the experimental values of D found for the deck
tests on the Hubby and Chestnut Ford Bridges. Table 7 also lists the
percentage of the total load carried by the most heavily loaded
stringer. From this table it can be seen that the AASHTO specifications
are conservative for the timber deck system used on the Hubby Bridge

and nonconservative for the eccentric truck on the Chestnut Ford Bridge.
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Bowever, 1t should be noted that the maximum deflecclon of the
critical stringer was essentially the same for both load cases
on the Chestnut Ford Bridge indicating the maximum beam moment

was the same.

Table 7. Leoad distribution factors.

Test Equivalent Distribution Percentage of the Load
Factor Distributed to the Most
Heavily Loaded Stringer

Hubby Bridge

Truck in Center 5.83 9.6%

Truck on Left 5.71 9,8%

Truck on Right 5.77 9.7%
Chestnut Ford Bridge

Truck in Center 4,52% 13.6%

Truck on Left | 3.24% 19.0%

*Maxinum deflection of eritical stringer the same in both cases,

Fatigue Tests

Fatigue tests were performed on 26 tension eyebars taken from the
Hubby Bridge and four tension eyebars taken from the Chestnut Ford Bridge.
Some of the eyebars received at the laboratory had kinks and bends in
them that were forﬁed during the dismantling of the bridges. However,
these bars were stralghtened on a rebar bender before testing. The
residual stresses induced in the evebars due to the straightening had no
apparent effect on their fatigue life. This is a reasonable assumption
since no failures occurred at the points of bending.

The eyebars tested were all of square cross section and varied from

3/4 din. to 1-1/8 in. in dimension.
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Twenty-three of the eyebars were tested in their undamaged (except
for straightening) condition. The maximum stress for fhe tests varied
from 16 to 24 ksi with a uniform ninimum stress of two ksi. All of
the eyebars were tested at a cyclic rate of three-four hertz. The
resuits of the fatigue tests on undamaged eyebars can be found in
Table 8. This table lists the identification number of the eyebar,
its location on the truss, the dimensions of the bars, the stress
range that the bar was subjected to, the number of cycles required
to fall the eyebar, and a diagraﬁ illustrating the location of the
failure.

Two of the 23 undamaged eyebars fractured in one of the forgings
joining the turnbuckle to the eyebar. These two eyebars initially
had large cracks at the point of fracture prior to the beginning
of the fatigue teétsp

The remaining 21 eyebars each fractured in one of the eyes of
the eyebar. The fractures in the eyes occurred in two different
places: 1) at the tip, and 2) at the side of the eye. A careful
study of Table 8 will show that different bar sizes generally hehaved
in the same way except for the 7/8 in. bars which all failed at
significantly lower number of stress cycles. This table also shows
that the twoe fractures near the turnbuckles occurred at much lower
numbers of stress cyecles than did the fractures in the eyes.

It is assumed in the inspection and rating of bridges that the
critical section of the eyebar is the section at a forging, where
many small cracks exist. Since it is impossible to determine the
extent of these cracks by inspection, consultants in Towa usually

assume, for rating purposes, that there is a reduction in strength
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Table 8. Results of fatiguce tescs on undamaged ocyehars.
S¢ress  Number location
Ydeatification Range of of
Humber# Member Dimensions {kai) Cycles Fracture
H3 1AM 1 1/8" x 1 1/8" 14 1,415,200 @ ——=———l P
H6 L4AM3 1 178" % 1'1/8" 16 446,180 -———m—————-«—’@
HS L4M3 1 1/8" x 1 1/8" 18 121,610 ::@
HL6 % was 1" w1 14 2,033,250+
HY v 1" x 1" 16 787,410 N
H10 UaMS 17 1" 16 371,950 ___:%
c32 — 1" ox 1 16 500,450 e )
H16, %% U4M5 1" x 1" 18 63,040 =Sy
H8 U4M5 1 ox 1¥ 18 70,570 e (e ) o
€31 o 1w 1" 18 154,960 )
H1 UAM3 1" x 3¢ 20 102,210 —w—"ﬁ
H18 UAM5 1" x 1" 20 127,320 ::gw
€30 — i ox 1" 20 173,330 =5
C29 e 1 ox 1 22 63,220 ::@
H12 CLaMs 78" x 7/8" 14 99,200 T,
H20 A 7/8"x /8 155 12,750 ==
H13 L 7/8" x 7/8" 16 106,100 =—
H15 LAMS  7/8" x 7/8" 16 165,280 _—__—:@
HL4 CL&M5  7/8" x 7/8" 26 74,790 ::—_——g')f')
®19 LAMS  7/8" x 7/8" 20 IRENNNS— )
B23 LU 340 x M4 16 314,950 @ T—m—ll)
H26, %% L5M5  3/4" x 3/4" 16 329,990 —)
H25, %% L33 376" x 3/4" i6 314,310 %
H28 L33 3/4% x 3/4" 16 510,200 =g

# Prefim C indicates that the eyebar came from the Chestnut Ford Bridge.

B indicates Hubby Bridge,

@

#% Subscript indicates the order of the tests on a single eyebar.
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of the bar of up to 60 percent. In other words, the forging is
assumed to be 9n1y 40 percent of the strength of the bar.

In the fatigue tests it was found that the forgings are usually
not the critical points for fracture. Twenty-one of the 23 eyebars
tested fractured in the eyes and not in the forgings. This indicates
that the repeated flexing occurring in the eyes is the critical
factor determining the remaining fatigue strength of the bar.

Fatipue tests were performed on nine eyebars taken from the Hubby
Bridge in order to determine the effect, if any, of repairs on their
fatigue life. The minimum stress and maximum stress for all of
the tests were two‘ksi and 18 ksi, resﬁectively {stress range of 16 ksi).
All of the tests were run at cyclic rate of three~four hertz. The
resqlts of the fatigue tests on these damaged and repaired eyebars
are shown in Table 9.

One of the nine démaged and repaired eyebars tested was a bar
that was damaged and repaired at the bridge site an estimated 40 years
ago (Table 9; H 4). The bar had fractured at the forging connecting
the eye to the bar and the repair consisted of welding the pieces
back together with two additional splice Bars {one on each side).

The design of the repair was inadequate since the splice did not
extend very far onto the eye. In addition, the weld was of very
poor quality with very little penetration into the base metal. The
fatigue failure occurred at the point of repair.

8ix of the eyebars were damaged and repaired in the laboratory.
Four ef these simulated fractures near an eye and two simulated
fractures‘near a turnbuckle. The methods of repair for these fractures

were given in Chapter 4, These repairs proved to be at least as



38

Table 9. Results of fatigue tests on damaged and repaired evebars.
Identi~ Type of Stress

fication  Repair ‘ Range Number

Number RE Member Dimensions {(ksi) of Cycles Location of Fracture
Hé4 2 LM, 1-1/8" x 1-1/8" 16 109,370 1t o,
H2 2 UM, 1" x 1" 16 295,860 + @ mmm——i
H7 2 UM, 1" x 1" 16 319,550 o)
H11 1 UM, i" x 1" 16 450,840 ::::::::::::ggfgg
B17 1 LM, 7/8" x 7/8" 16 130,870 t )
H24,% 3 LM, 3/4% x 3/4" 16 626,130 “““”“““””““’?5222
H243*‘ 3 LM 3/4" x 3/4" 16 398,660 :::i§§§§§§§§§§§§$
H24 3 LM, 3/4" x 3/4" 16 1,152,560 )
H25,% 3 LM, 3/4"-x 3/4" 16 537,850 t )
H25,% 3 LM, 3/4" x 3/4" 16 99,880 e ——\
H25, % 3 LM, 3/4" x 3/4" 16 1,791,840 W‘C:_::__\/:@)
H26 2 LM, 3/4" x 3/4" 16 243,960 T =
H27 2 LM, 3/4™" x 3/4" 16 242,200 % ___**h___,d<;§§§

* Subscript indicates the order

*ek

1 indicates damage and repair
2 indicates damage and repair
3 indicates damage and repair

t The fracture did not occur near the repair.

of tests on an eyebar.

T1This member was damaged and repaired in the field.

to a forging near a turnbuckle.
to a forging at an eye.
to an eye.
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strong as the bars since no failures occurred near the repairs.

Upon testing, five of the eyebars fractured in the eyes, and one of
the eyebars fractured in the forging near the eve at the end opposite
from the repaired end.

Table 10 shows the results of the tests of damaged énd repaired
eyebars, It can be seen from this table that only two eyebars
repaired in the laboratory fractured due to the presence of a weld.
These fractures occurred at well over 1,000,000 cycles (many more than
could be expected in a normal remaining bridge 1ife) in eyebars that
had been repaired three times. . Thus, any of these repair methods
appears to be appropriate for field use. Care, howevef, should be

taken to provide good gquality welding.

Static Tests

Static tests were performed on 17 specimens from eyebars taken
from the Hubby Bridge and the Chestnut Ford Bridge. The specimens
consisted of an eve plus two-four ft. of bar. The bars were of
square, round, and rectangular cross section with seven, four, and
gix bars of each size tested, respectively. In addition to these
specimens, two static tests were conducted on specimené consisting
of round bars with turnbuckles. The results of the static tests
are shown in Table 10.

As can be seen in Table 10 all of the round eyebars, including
the two specimens with turnbuckles, fractured in the bars and not in
the eyes or forgings. Of the seven square evebars tested, four fractured
in the bar and three fractured in the forgings. All of the rectangular

eyebars fractured in the forgings.
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Table 10. Results of statlc tests on undamaged eyebars.

Yield Ultimate Location
Identification Stress Stress of
Number Dimensions  (ksi) (ksi) Fracture
H21 7/8" x 7/8" 32.7 58.4 =8
A 3/4" x 3/4"  29.7 44,7 —
H 3/4" x 3/4"  31.9 43.9 === )
B " x 1" 35.0 8.0 === =)
D 1" x 1" 36.4 46,1 )
E mox 1" 33.3 50.2 = =)
F 1 x 1" 36.5 1 <®),
1 2,1" x .8"  36.1 49.4 = (D)
J 2.1" x .8"  34.6 TR 1 <®)
K 2.1" x 8" 35.1 6.8 =)
L 2.1" x .8" e 28.9 m@
M 2.1" x .é" 37;6 38.7 m@
T 2.1" x .8" 33.9 AR <®)
N 7/8" Dia 35.9 50.4 — C@
P 7/8" Dia  35.1 50.3 == =)
Q 7/8" Dia  37.7 48.6 T3
s 7/8" Dia  33.4 50,0 1 £
0 7/8" Dia 35.3 50,9 S
R 7/8" Dia 35.5 44,6 = (o=
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Table 11 shows the average yield and ultimate stresses for the
different shapes of eyebars and the different locations for the

fractures.

Table 11. Summary - static test results,

Type Location Average Range In Average

of of Yield Ultimate Ultimate
Eyebar Fracture Stress Stress . Stress
Round bar 35.5 kei 44.6~50.0 49,1 ksi
Rectangular forging 35.5 ksi 28.9-49.4 42,7 ksi
Square bar 32,7 ksi 46.7-58.4 50.3 ksi
Square forging 34.5 ksi 43.9-47.0 45,7 ksi

It can bé seen from Table 11 that the average yield stress was
approximately the same for all of the eyebars. The average ultimate
stress, however, varied for the‘different types of eyebars. The
average ultimate stress for the square eyebars that ﬁractured in the
forgings was almost five ksi less than the average ultimate stress for
the square eyebars that fractured in the bar away from any forgings.
Thus, the forgings that fractured in the square bars were 93 percent
effective on the average with a lower bound of 90 percent. The
forgings in the rectangular bars were 87 percent effective on the
average with a lower bound of 59 percent.

Static tests were also performed on three damaged and repaired
specimens of square cross section. Each of the specimehs was damaged
and repaired by one of the methods described in Chapter 4. One of
the specimens simulated a fracture and repair at the forging near a

turnbuckle.
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The results of the static tests on damaged and repaired eyebars
are shown in Table 12. It can be seen from this table that if repairs
to damaged bars are made similarly to theose used in these tests, then
the ultimate strength of the bar will be unaffected by the repair,

The ultimate strength of the bar is slightly less than that
listed in Table 1 because the stress in the eyebars was calculated
using the gross cross section of the bar. This shows that after
saveral yvears of rusting and corroding, the bars are still a nominal

94 percent effective.



Table 12, Results of static tests on damaged and repaired eyebars.

Identification Type of Yield Stress Ultimate Stress Ultimate Force Location of
Number Repailr#® Dimensions (ksi) (ksi) (kips) Fracture
i 3 3/4"%3/4" 32.1 47.3 26.5 )]
U, 3 | 3/4"x3/4™ — - 64.6 £ "'"”""?g?fi)
v 17 1"x1" 33.8 48.5 48.5 = -;—,\{'2_"}}———
W, 2 1"x1" 36.8 48.0 8.0 = e

W, 2 1"x1" — | — 83.0 u = @

%

1 indicates damage and repair to a forging near a turnbuckle
2 indicates damage and repalr to a forging at an eye

3 indicates damage and repair to an eye

£y
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CHAPTER 6. SUMMARY

As a result of the construction of the Saylorville Dam and
Reservolr on the Des Moines River, six highway bridges were scheduled
for removal. Two of these, old high-truss pin-connected single~lane
bridges, were selected for a testing progtaﬁ which included ultimate
and service load tests in the field and fatigue and static tests on

tension eyebars in the laboratory.

{fitimate load Tests

The purpose of the ultimate load tests was to relate design and
rating procedures presently used in bri&ge design to the field
behavior of this type of truss bridge. The general objective of the
test program was to provide data on the behavior éf this bridge type
in the overload range up to collapse.

The information available omn overloéd and ultimate behavior of
actual bridges is limited mainly to beam-and-slab type bridges.

No information is available on the behavior of the old high=truss
bridges typical of those found in Iowa and throughout other parts
of the country. This load test program is intended to provide that
information on the ultimate load carrving capability through the
testing of a typical old truss bridge.

The test program consisted of ultimate load testing of one span
of the bridge, ultimate load testing of two I~-shaped floorbeams, and
ultimate load testing of two panels of the timber deck., The truss

span was tested in an "as is" condition with loads simulating actual

truck loading. After initial failure the truss was damaged and
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retested in this condition. The floorbeams were tested with loads
to simulate‘an axle loading. One of the flcorbeams had some initial
crookedness, while the other was essentially straight. One of the
timber deck tests was performed with loads simulating a truck
centered on the deck panel and the other with loads placed three ft.
off center to simulate a truck on the edge of the deck panel,

The total ultimate load for deck test 1 (load centered on
roadway) was 101.5 kips and for deck test 2 (leoad placed eccentrically)
it was 77.4 kips. For deck test 1 this is equivalent to a load 6f
25.4 kips at each of the load points, with the corresponding maximum
moment on the total deck panel at 279;4 ft~kips or 17.5 ft-kips per
foot of width of the deck panel. ¥or deck test Z the equivalent
load and moments are 19.4 kips, 212.8 fr~kips, and 13.3 ft-kips per
foot of width, respectively. It should be noted that although the
loads were app}ied transversely at 6-foot centers (wheel track spacing),
there were two equal loads spaced longitudinally at the third-points.
The loads, however, can be related to other behavior by determining
the equivalent AASHTO H truck. For deck test 1 (centered load)
failure cccurred at an equivalent H 42 truck and for test 2 (eccentryic
load) at a H 32 truck.

The behavior of the deck at loads up to failure of one of the
stringers compared quite well with that predicted by rthe AASHTO
Specificationsz. The current load distribution eriteria indicate
that each stringer should be designed for about 14 percent of the
total load on the bridge. The test results gave only about 10 percent
for a centered load, but for the eccentric severe loading, the most

heavily loaded stringer carried about 15 percent of the total load.
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The initial fallure of the truss took place at a load of 133 kips.
This failure was the breaking of one of the hangers which made up
member LSMS' The applied loading was 106 kips and 27 kips at LS
and L4’ respectively. Additional load was applied in an attempt to
get additional members to fail. A large distortion of the lower
chord of the truss near the load at LS occurred under this higher
loading without any failure. The maximum load under this general
loading was 140 kips (H 70 truck), 112 kips at LS’ and 28 kips at L&'
The naximum vertiecal deflection at LS at this time was 15 inches.

| The fracture load for the vertical fallure was 97 percent of the

calculated load based on the full section. The fracture section
confirmed that the section was nearly fully fused. This compares
to the "40 percent effective" used by many designers in evaluating
structures of this type.

After adjustment of the loading system, all load was applied at
L, with the maximum load being 78.5 kips. The test program then
included damaging a member. After member LEUZ was cut completely
through, a ioad of 39 kips produced failure of the truss. This
resulted in a vertical displacement of the member at the cut location.

The maximum load applied to the floorbeam at L4 was 66.0 kips.
The compression flange of this floorbeam was originally straight
(within allowable tolerances). This load was approximately equal
to that determined from fheory.

The maximum load applied to the floorbeam at L5 was 50.0 kips.

This floorbeam had an initial croockedness of approximately 13/16 in.
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Service load and Supplementary Tests

The purpose of the service load tests was to relate design and
rating procedures presently used to the field behavior of this type
of truss bridge. Another objective of this phase of the program was
to.provide data on the behavior of this bridge type in the service
load range and alsco, data on the remaining fatigue life of the
tension members in the truss,

The information available on service-load behavior of actual
bridges is limited mainly to beam—and-slab type bridges, This test
program was intended to provide information on the behavior of high-
truss bridges. \

The test program consisted of service load testing two spans of
the Hubby Bridge plus one span of the Chestnut Ford Bridge, and fatigue
and static testing of eyebars received from the above mentioned
bridges. The service load tests were performed using 1oadéd county
gravel trucks (approximately H 15) to apply the loads to the bridges.

Strain readings were taken to determine the forces in members
of the trusses. Also, deflection readings were taken of the trusses
in one gpan and of the deck and strain readings in the floorbeams to
determine the moments.

The experimental forces in the members of the truss agreed with
the forces found theoretically using a determinate analysis. There
were some discrepancies but these were mainly due to problems in
the instrumentation. The experimental deflections of the trusses in

one span were found to be much smaller than the theoretical deflections.
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This was due to the partial continulty of the deck which was not
taken into account in the theoretical analysis, and also due to
the partial rigidity of the joints.

Deck deflections were measured at the middle of the panels with
the truck on the centerline of the bridge and on the edges of the
bridge. The experimental deflectioﬁs were between the theoretical
values for stringers assuming fixed ends and assuming pinned ends.
The behavior of the deck compared quite well with that predicted by
the AASHTO Specificationsé. The current load distribution criteria,
assuming S/4 as the distribution factor, indicates that for the
Hubby Bridge each stringer should be designed for about 14 percent
of the total weight of the truck (28 percent of a wheel load, front
and rear). The test results indicated a distribution value of 10
percent to each stringer for both the centered load and the eccentric
load. For the Chestnut Ford Bridges, however, the current load
distribution criteria, assuming $/4.5 as the distribution factor,
indicates that each stringer should be designed for 14 percent of the
total weight of the truck. The test results indicate a value of 14
percent for the centered load and 19 percent for the eccentric load.

Moment cross sections for the floorbeams were found expevimentally
with the rear axle of the truck located over the floorbeams. The
experimental results were between the theoretical values for a floorbeam
assumed fixed at the ends and assumed pinned at the ends. Floorbeams
3 and 5 from the Hubby Bridge tended to behave more closely to the
pinned end assumption while floorbeams 4 and 6 tended to agree more

closely with the fixed end assumption.
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In the fatigue tests of the tension gyebars it was found that
the eye of the bar tended to be more suscéptable to fatigue failure
than the forgings at the intersection between the eye and the bar.
Twenty-one of the 23 undamaged bars fractured in the eve while the
remaining two eyebars fractured in forgings, where large initial
cracks were present. Of the nine eyebars that were damaged and repaired
and then tested in fatigue, only one eyebar failed in the first
repair and iﬁ was a repair that had been made in the field over 40
years ago.

In the static tests different types of eyebars were found to
fail in different fashions but consistent for the particular type.
All of the rectangular eyebars fractured in the forgings while all
of the round eyebars fractured in the bars away from the forgings.
The square bars fractured both in the forgings as well as in the
bars. The minimum percentage of effectiveness found in the tests
was 539 percent. This cémpares with the 40 percent effective rule
usually assumed for rating of eyebars as commonly used in Towa.

The fatigue strength of the eyebars varied over a wide range,
but it was seen that for a stress range of 14 ksi, the fatigue life
of the bars was approaching 2,000,300 cycles. In the Hubby Bridge,
an H 10.7 truck, in the eccentric position with an included impact
factor of 30 percent will produce a live load stress range in a
hanger of 14 ksi stress range. TFor the Chestnut Ford Bridge an H 18.3
will produce the same stress range., Assuming 10 loaded trucks of
this type a day, every day of the year, it would take 28 vyears to

reach 100,000 cycles,
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It can be seen from this that the weight of this type of truck
is substantially more than that usually carried by the bridges and
thus, 1t would not be expected that there would be any reduction in

the fatigue life of the members. This was observed in the overall

results of the fatigue study.
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CHAPTER 7. CONCLUSIONS

As a result of the tests performed on these two bridges, the

following conclusions were reached.

Ultimate Load Tests

1. The behavior of the timber deck was linear up to about

one~half of the ultrimate load for each deck test.

9

2. For deck test 1 (centered load) the design percentage of the
total load distributed to the most heavily loaded stringer,
based on the AASHTO Specifications, is greatef than the
experimental percentage of the load distributed to the most
heavily loaded stringer based on the deck deflection at all

load levels for which this is walid.

3. The theoretical capacity of the deck for deck test 1 is

approximately equal to the experimentally determined capacity of
the deck.

4. For deck test 2 (eccentric load) the design percentage of the
total load distributed to the most heavily loaded stringers,
based on the AASHTO Specifications, is equal to or less than
the experimental percentage of the load distributed to the most
heavily loaded stringers based on the deck deflection at all

load levels for which this is wvalid.

5. The theoretical capacity of the deck for deck test 2 is

approximately equal to the experimentally determined capacity
of the deck.

6. The deflections of the timber deck for both tests generally

lie within the theoretical bounds.

7. The experimentally determined forces for the truss members agree
closely with the forces for the same members from analysis. This
indicates that the assumption of pinned end members is walid for

this particular truss.



10,

1L

1z.

52

The theoretical capacity of the hangers at L5 agrees quite
closely with the load that actually caused the fracture of one

of these hangers.

The current practice of assuming the "lap" of an eye-bar to
be only 40 percent effective is quite conservative. (Additional
tests are required before any recommendation on changing this

assumption is warranted).

The natural dapping of the stringers provides sufficient lateral
support of the floorbeam up to approximately 60 percent of the

ultimate load.

The theoretical capacity of each floorbeam was approximately

equal to the actual capacity of each floorbeam.

The ratings of the bridge and its components average about 25
percent of capacity. The ratings were fairly consistent except
for the floorbeams, where the assumption on lateral support
condigions for the compression flange caused considerable

variation

Service Load Tests

Fatigue fractures tend to be governed by the characteristics
of the eye while the static fractures tend to be governed

by the quality of the forgings.

The fatigue life of the eyebars after being damaged and
repaired was not appreciably different from that of an

undamaged eyebar.

The experimentally determined forces of the truss members

for both the Hubby Bridge and Chestnut Ford Bridge agree
closely with the forces found from the theoretical analysis
assuming pinned connections, this indicates that the assumption

of pinned end members is valid for these particular trusses.

Since the truck used for the experimental loading was

approximately an H 15 and all ratings for the critical bridge
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components provided by the cooperating agencies2 were less
than H 15 (ranged from H 2 - H 13), the results show that
determinate methods are valild for analyzing the bridge for

loads in the range of rating levels.

The current practice of assuming the "lap", or forging, in
an eyebar to be only 40 percent effective is conservative.

The minimum found during testing was 59 percent.

The current AASHTO Load Distribution eriteria for the Hubby
Bridge of S/4 is more than adequate (S5/4.5 could be used

if it is considered to be a multiple layer bridge deck.)

The current AASHTO Load Distribution criteria for the Chest-
nut Ford Bridge deck of $/4.5 (strip type deck) agrees very
closely to the centrally loaded truck but does not agree
with the truck when in the eccentric position. Thig may

be misleading in that the maximum deflection measured in
each case was essgentially the same (i.e., the same maximum

moment } .
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CHAPTER 8. PROJECT FINDINGS

On the basis of the research program conducted, the following

findings can be stated. These findings are, of course, based on

limited tests and may be subject to modifications as additional

information becomes available. Although these findings are

developed for this type of bridge or components, many of the

findings can be applied judiciously to bridges of a similar nature.

1.

The ultimate strength of a bridge truss, as determined
by using conventional determinate analysis of the truss,
is a reasonable estimate of the actual ultimate strength of

the truss,

The ultimate strength of the bridge (including its components)
is substantially higher in all cases than that found using

present rating eriteria (operating level).

Because of the methods used in the fabrication and design,
a natural indeterminancy ig built into the system. Thus,

unless
upper or lower chord, the bridge will not collapse catas-

trophically and will be able to sustain a reasonable load.

Gross deflections of the trusses and the floor system will

occur prior to failure.

The live load stresses in the truss member are generally
slightly lower than those predicted using a conventional

determinate analysis.

The remaining fatigue life of the tension members of the
truss is such that with reasonable levels cof live load,
bridge life should be determined by its serviceability

and degree of deteriovation and not by fatigue considerations.

If a failure in a member of the truss should occur due to
an accident, etc., repair procedures such as those used in

the supplementary tests for fatigue and static strength will
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result in the structure having essentially the same load

capacity in static as well as fatigue strength,

The static strength of the forging at the eye of the bar
can be assumed to be about 75 percent of the ultimate
strength of the bar cross section. The average of the
static tests was higher than this value, but there was one
bar lower, therefore, this value appears to be a reasonable

compromise which can be used for rating purposes.

The only areas of the bridge which camnnot be effectively
inspected are the joints where the eyebars intersect.
However, in item no. 6 it was stated that the load carrying
capacity of the bridge should not be determined by the
fatigue strength of the eyebars. Therefore, the forgings
of the eye to the bar should be closely inspected to

detect flaws which would be critical in the case of an

occasional over load.

Current AASHTO load distribution criteria are adequate
for the design and rating of the floor system, although

sometimes conservative.
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Photographs of the Hubby Bridge.

Fig, la,
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Fig. lb, Photographs of the Chestnut Ford Bridge,
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Photograph of deck test 1 setup,
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Fig, 13, Photograph showing location

of failure of member L5M5°

Fig. 14, Photograph of fracture.
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Fig, 15, Photograph of damaged member
after collapsing upon itself.

Fig;.l6. Photograph of
floorbeam test
setup.
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Photograph of buckling of compression flange of floorbeam
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Fig. 20, Description of truck for Chestnut Ford Bridge testing,
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Fig. 21. Photograph of fatigue apparatus,




TOTAL LOAD (KIPS) TOTAL LOAD (KIPS)

TOTAL LOAD (KIPS)

80

100 ]
80| 7
)
ig !
or ¥
i
A0f T pgmesese ‘;‘
o o }
B |
20 BIAL
o ?)Loclmor?t x '
-~1.2-0.8 -0.4 0 0.4 0.8
DEFLECTION (IN.)
a, Position 1,
100
80 _/"P
o
'/
60 N
40
20
@ DIAL LOCATION
0 | ! ! | |

100

60F
40+ |/ ya

2w0H £.7

100

0 0.4 0.8 1.2 1.6 2.02.4
DEFLECTION (iN.)

¢. Position 3.

DIAL
@ LOCATI(?N
! |

0 0.4 08 1.2 1.6 2.02.4

DEFLECTION (IN.)}
e, Position 5,

Fig. 22,

100

80

60

40

20

0 | ® DM;\L LOFATiOiN

|
0 0.4 08 1.2 1.6 2.0
DEFLECTION (IN.)

b, Position 2,

60——' I /'
40+ -

206 £

i | @IDEAL }_OCAT!ON
|

0 0.4 0.8 1.2
DEFLECTION (IN.)

d. Position 4,

1.6 2.02.4

100
80+ t
4
!
60+ i
40F !
DIAL LOCATION g
20+ ;
i ] ] }
-1.2-0.8-0.4 0 0.4 0.8

DEFLECTION (IN.)
£, Position 6.

Load-deflection for deck test 1,



TOTAL LOAD (KIPS)

TOTAL LOAD (KIPS) TOTAL LOAD (KiPS)

TOTAL LOAD (KIPS)

80 [ e
60 - ! ‘!
\
G |
40 - ]
|
]
200 |
0 I b ] i —
-0.8 -0.4 0 0.4
DEFLECTION (IN.)
SO

80

80

G 0.

S SRV SN RN S—
4 0.8 1.2 1.6 2.0

DEFLECTION {IN.)

R
.4 0.8

PR SN R
1.2 1.6 2.0

DEFLECTION (IN))

e., Position 5.

81

] { I | | | H

Fig.

1.2
DEFLECTION (IN,)

g. Position 7.

23.

1.6 2.0 2.4 2.8

TOTAL LOAD (KIPS)

TOTAL LOAD {KiPS)

TOTAL LOAD (KIPS)

80
!
40 - /
1w/
I -
40 /
!
20 — f
0 ! | i i
-0.8 0.4 0 0.4
DEFLECTION (IN.)
80 (
60+ -
/ g
40k / il
/ _/'
WH 47
/ i
¢ | i H 1 i
¢ 0.4 0.8 1.2 1.6 2.0
DEFLECTION ¢IN.)
d, Position 4,
80
60 -

40

20

. o
0.8 1.2 1.6 2.0

DEFLECTION {iN,)

f. Position 6,

— ~— — — THEQRETICAL-FIXED ENDS
paaiienie THEQRETICAL-PINNED ENDS

EXPERIMENTAL
o} DATA POINTS

DIAL LOCATION

Load-~deflection for deck test 2,



1.50

.25

il

—r

.00

0.50

DEFLECTION OF ¢ OF DECK PANEL (IN.)
= o)
o o

SINCE LOADING WAS SYMMETRICAL,
DEFLECTION READINGS FROM THE RIGHT
SIDE WERE PLOTTED WITH THOSE FROM
THE LEFT SIDE TO FORM A FULL CROSS
SECTION

Y

8: 6! 4| 2| @ 2! 4!

6!
u.s. DISTANCE FROM ¢ OF BRIDGE
Fig, 24, Deflection cross section at mid-span of deck panel for deck test 1

at wvarious loads.

78



DEFLECTION OF ¢ OF DLCK PAMEL (1)

€
O

6OK
2. Spe
2.0—
50"
1.5—
1.0—
40K
30K
0.5
ZOK
4__,_,~a—““‘““—“"“““]OK
0.0
-.5 | | % |
8! & 4 2 G 2 g
u.s. DISTANCE FROM G OF BRIDGE D.S.
flection cross section at mid-span of deck panel for deck test 2

Fig. 25, D>e

various loads,

£



TOTAL LOAD (KIPS)

150

120

e
[e]

o~
(o]

30

~— THEORETICAL :

~— == EXPERIMENTAL-UPSTREAM SIDE
—- = EXPERIMENTAL-DOWNSTREAM SIDE
O DATA POINTS

DIAL LOCATION

Fig. 26,

Total load-vertical deflection at L

VERTICAL DEFLECTION (IN.)

5 for truss test - Span 2, Hubby Bridge.

%8



TOTAL LOAD (KIPS)

150

120

90

60

30

85

—— THEORETICAL

— — EXPERIMENTAL-UPSTREAM SIDE
—- = EXPERIMENTAL-DOWNSTREAM SIDE
G DATA POINTS

MEMBER LOCATION q

| | | |

Fig.

10 20 30 4G
FORCE IN MEMBER (KIPS)

27. Total load-force in member L. .M. - Span 2, Hubby Bridge.

575

50



TOTAL LOAD {KIPS} TOTAL LOAD (KIPS;

TOTAL LOAD (KIPS)

&0

50

40

30

20

10

0

1 i i } 1 ;

0 0.3 0.6 0.9

1.2 1.5.1.8 2.1
VERTICAL DEFLECTION (IN.)

86

60
’ s
50 b ’, 7/ /
/ e
40 | /'
I ya
30 1 e
| ya
! e
0 | | | } l 1
0 0.3 0.6 0.9 1.2 1.5 1.8 2.1

VERTICAL DEFLECTION (IN.)

a, Position 1, b, Position 2,
60 ] ‘ A — — — THEORETICAL-FIXED ENDS
| e ) — - = THEQRETICAL-PINNED ENDS
500 e EXPERIMENTAL
/ s O DATA POINTS
40+~ ./ 7 ‘
~
{ : DIAL LOCATION
30 /./ f f ! W
, 2@
20 L Gﬁ@
v
/ e
10 T 7
e
0 ] i | | { | i ]
0 0.3 0.6 0.9 1.2 1.5 1.8 2.1 2.4 2.7
VERTICAL DEFLECTION (IN.)
C, Position 3.
40 &0
|
50 50 T //
| .
40 40 =
| /
36 0 i /
| /
26 20 /'
10 10 ./
. /
o | | ] | | i 0 | | l | I ]

0 0.3 0.6 0.9
VERTICAL DELFECTION (IN.)

Fig. 28,

1.2 1.5 1.82.

d, Position 4,

Load~deflection for floorbeam test at

0 0.3 0.6 0.9 1.2 1.5 1.8 2.1
VERTICAL DEFLECTION {IN,)
e, Position 5.

L4'



TOTAL LOAD (KIPS} TOTAL LOAD (KIPS)

TOTAL LOAD (KIPS)

i i | | |

0o 0.3 0.6 0.9

1.2 1.5 1.8 2.1
VERTICAL DEFLECTION (IN.)

a, Position 1l.

| | | i i i

0.3 0.6 0.9 1.2 1.5 1.8 2.1
VERTICAL DEFLECTION (IN .}

¢, Position 3.

! ; i 1 |

0

Fig. 29. Load*dafiectioﬂ for floorbeam test at L

0.3 0.6 0.9 1.2 1.5 1.8 2.1
VERTICAL DEFLECTION (IN.)

e, Position 5.

50
v
'//
i | |
0 0.3 0.6 0.9 1.2 1.5 1.82.1
VERTICAL DEFLECTION {IN.)
b, Position 2.
50
| .
30M g
I -//
20+ e
i v
30]'— /
Yidl
Q¥ H | H | | |
0 0.3 04 0.9 1.2 1.5 1.82.1

VERTICAL DEFLECTION {IN)
d, Position 4.

- —— — — THEQRETICAL-FIXED ENDS
THEORETICAL-PINNED ENDS
EXPERIMENTAL

] DATA POINTS

W DIAL LOCATICN
a2?

&D

50



TOTAL FORCE IN MEMBER (KIPS)

TOTAL EORCE IN MEMBER (KiPS)

88 .

——==—=—0 EXP, UPSTREAM

e e [\ EXP, DOWNSTREAM

10 THEORETICAL

0 L O~ ~om - o~
Do B - A =B TETTTE S

S
I

MEMBER LOCATION
| | I ] | | | | |
OFF L? L2 I.3 L4 L5 I_6 L7 LB L9 OFF
POSITION OF TRUCK (REAR AXLE)

a. Member I"EUE'

e e e O EXP, UPSTREAM
— e\ EXP. DOWNSTREAM
P e THEQ RETIC AL

Q/, N - .

l

AN

T
s

l

MEMBER LOCATION

| 1 I I E | l |
OFF L L, L L, Ly Lo L Ly Ly OFF
POSITION OF TRUCK (REAR AXLE)

b Member Lle.

Fig. 30, Influence lines - Span 1, Hubby Bridge.



TOTAL FORCE IN MEMBER (KIPS)

!
<
J

20

TOTAL FORCE IN MEMBER (KIPS)

89

e ) EXP. UPSTREAM
— e\ EXP. DOWNSTREAM
THEQRETICAL

MEMBER LOCATION
[N NN A NN MR N A N
OFF Ll L2 L3 L4 L5 Lé L7 L8 L9 OFF
POSITION OF TRUCK {REAR AXLE)

C. Member LSMS'

———O EXP. UPSTREAM
THEORETICAL

I | l | | I I l |

OFF L] 2_2 L3 L4 L5 L6 L7 L8 LQOFF

POSITION OF TRUCK (REAR AXLE)

d.' Member L7L8'

Fig. 30, Cont,



90

TOTAL FORCE IN MEMBER (KIPS)

_jol——  THEORETICAL /N

AN A\
/ R~ AN
[ 57 >
/O“-

: \,O“',"/"‘ -
———0 EXP. UPSTREAM &
e s 5 EXP, DOWNSTREAM

MEMBER LOCATION

[ I N I l L

OFF L L L L L L L L

10

-10

TOTAL FORCE IN MEMBER (KIPS)
[

poo b ot b L L Ly LOFF
POSITION OF TRUCK (REAR AXLE)

a. Member I, M_..

45
ﬁ — ——— O EXP, UPSTREAM
/ \ ——— {5 EXP. UPSTREAM
B/ANS THEORETICAL
A\
7\
A\
oWy
~X A= e .
6"\—.—;{97-‘1- o =0 ':6>‘-‘"::_87
| MEMBER LOCATION
| | | | l | | |

I
OFF i_l L2 L3 L4 L5 L<5 1.7 L8 L9 OFF
POSITION OF TRUCK {REAR AXLE)

b-Member.LlUl.

Fig. 31. TInfluence lines - Span 2, Hubby Bridge.



91

——
<

0 Wf@-mw
— — O EXP. UPSTREAM
e N EXP, DOWNSTREAM
-0 THEORETICAL

MEMBER LOCATION

A SN (R U S
OFF L] L'2 I.3 L4 L5 L6 L7 LS L9 OFF

POSITION CF TRUCK (REAR AXLE)

TOTAL FORCE IN MEMBER (KIPS)

¢. Member LBMB'

0 )
N —— O EXP. UPSTREAM /Q/
£ —— £ EXP. DOWNSTREAM
< ——  THEORETIGAL Py
@ 10— \ // Iof,
= I/
=
z \g\ / /
g N\ vy
e ft\g/ %
|
< " MEMBER LOCATION
O

w1 L

OFF Li L L

POSITION OF TRUCK (REAR AXLE)

. d. Member UQBS‘
Fig. 31, Cont.



TOTAL FORCE IN MEMBER (KIPS)

TOTAL FORCE IN MEMBER (KIPS)

g2

20

10—

AN

MEMBER LOCATION

e —O EXPERIMENTAL
e THEORETICAL

-10

| | | l | |

OFF L L L L L L, OFF

1 2 3 4 56
POSITION OF TRUCK (REAR AXLE)

a. Member L._U..

1”1
20— :
MEMBER LOCATION
e e e () EXPERIMENTAL
N3 e THEORETICAL
10— / O
/ ~
heN
/ N
O\\\\
hoh"_'" [ —
0 0
| | | E | |

OFF i_] L L L L L, OFF

Fig. 32,

2 3 4 5 6
POSITION OF TRUCK (REAR AXLE)

b. Member L1L2.

from left edge.

Influence lines - Chestnut Ford Bridge, truck 2!



MOMENT (INCH-KIPS)

1000

PINNED
Oe
0
Ry
O 0

/ FIXED

0od o

A
f

N N T T S (NN AN SO NN NN N N N

4 5 6 7 8 9 10 11 12 13 14 15 16 1V
DISTANCE FROM CENTERLINE OF LEFT TRUSS (FEET)

e FLOORBEAM 3, TRUCK @ L3

O FLOORBEAM 4, TRUCK @ L‘4

O FLOORBEAM 5, TRUCK @ L5

Vv FLOORBEAM 6, TRUCK @ Lé

Pig. 33a. Moment for floorbeams at LB’ L4, L5, L6 - truck on centerline.

€




MOMENT (INCH-KIPS)

1000
800

600

200

~200

o’ PININED
O 0 o)
sO
O
M FIXED °
v
S NS NN NN NN AN NN N NN NN AU NN SN SO M B

Fig, 33b, Moment for floorbeams at L., L4, LS’ L

1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17

DISTANCE FROM CENTERLINE OF LEFT TRUSS (FEET)

» FLOORBEAM 3, TRUCK @ L3.
0O FLOORBEAM 4, TRUCK @ E.4
O FLOORBEAM 5, TRUCK @ i.5
¥ FLOORBEAM 6, TRUCK @ Lé

- truck on left edge,

3 6

76




MOMENT (INCH=-KIPS)

1000

8
|

o~
=
|
e
O

&
S
!
O

200 — b

N U TR I N N N O N T B A

L 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15
DISTANCE FROM CENTERLINE OF LEFT TRUSS (FEET)

o FLOORBEAM 3, TRUCK @ LS |

0O FLOORBEAM 4, TRUCK @ i_4

O FLOORBEAM 5, TRUCK @ L5

¥ FLOORBEAM 6, TRUCK @ Lé

Fig. 33c. Moment for floorbeams at LB’ L&,, LS’ I“6 -~ truck on right edge.

16

17

Sh





